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ABSTRACT 

The implementation of a new friction tension-only “GripNGrab” device attached to a rocking steel frame is 

described. The device, when subject to significant tension dissipates energy via sliding in the frictional 

component. When the device is loaded in the compression direction, almost no compressive force is carried, 

but displacement occurs in the ratchetting component. This absence of any significant compressive force 

within the dissipative system means that the rocking frame will always recentre after uplift from earthquake 

shaking. A 9 m tall 4.75m wide 3-storey steel concentrically braced rocking frame is designed for low-damage 

seismic performance. Restoring forces are provided by (i) gravity, (ii) friction “GripNGrab” (GNG) tension-

only dissipation devices at the base, and (iii) beam-slab effects. The initial fundamental period of the structure 

was 0.16s. The initial structure used a 10mm GNG ratchet pitch, and had a GNG strength to not slide under 

serviceability level shaking. Elastic, pushover, cyclic pushover, as well as time history analyses, with 

different shaking intensities are conducted using OpenSEES software. The scope of work is limited to a single 

building and a single ground motion. Parameters varied included the presence of beam-slab effects, and the 

GNG device stiffness, strength and tooth pitch.  

It is shown that the full behaviour of the frame could be understood considering cyclic pushover analysis. 

The peak uplift displacement was conservatively estimated from the peak roof displacement using rigid body 

mechanics and the tension-only device provided no resistance to full frame recentring. For the frames 

considered, cumulative uplift displacements, necessary to determine the inelastic displacement capacity of 

the tension only device, were up to 28 times the peak uplift displacement, not necessarily occurring at the 

maximum shaking intensity. Maximum frame base shear force demands were up to 1.43 times that from 

pushover analysis. When the beam-slab, connecting the rocking frame to the rest of the structure, increased 

the lateral force resistance, the base shear increased significantly, reduced peak roof displacements, and 

increased the effective number of peak uplift displacement cycles (NPUDc). For large shaking intensities, 

yielding of the beam-slab occurred resulting in permanent peak roof and uplift displacements. The GNG 

device strength, stiffness and tooth pitch variations for the cases studied did not significantly affect the 

response. Initial stiffness, and secant stiffness, based methods to predict the response of rocking frames were 

non-conservative for these short-period structures with small energy dissipation, and a simple improvement 

to match the behaviour was developed for the case studied based on the R-T- relationship for a range of 

shaking intensity. 

https://doi.org/10.5459/bnzsee.1583  

INTRODUCTION 

It is desirable that structures do not need to be extensively 

repaired or replaced after a major earthquake event. A number 

of methods have been proposed to increase the resilience of 

building structures, and therefore increase their seismic 

sustainability.  

One way to increase the resilience is to use structural systems 

where rocking frames resist the majority of the lateral force. A 

number of such structures have now been constructed around 

the world.  

To prevent large displacements in rocking frames due to 

resonance, energy dissipation devices, such as tension-

compression dissipaters have been used to reduce the 

displacements.  

However, if large amounts of dissipation are used, then there is 

a possibility that a rocking structure will not return to its at-rest 

position after a major earthquake event due to residual 

compression forces in the energy dissipation devices. In such 

circumstances, significant additional post-tensioning may be 

required. Furthermore, it is possible that some 

tension/compression devices may buckle in compression, 

especially under the combination of in-plane, and out-of-plane, 

action.  

Recently tension-only devices have been proposed which 

guarantee that a structure will return to its initial at-rest position, 

and they eliminate the possibility of buckling. The total 

deformation of the tension-only dissipaters is dependent only 

on the number of cycles and amplitude of tension movements 

during wall uplift. 

The energy dissipation component of tension-only devices may 

be due to yielding or some other means.  Many yielding devices 

have limited deformation capacity due to the fracture strain of 

steel. Friction devices can provide large inelastic displacement 

capacities.  

However, while tension-only dissipater strengths may satisfy 

current minimum recommendations to satisfy frame 

serviceability and wind resistance criteria. The hysteretic 

energy dissipated is smaller than that of a compression-tension 
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device designed with the same yield force, so the frame 

displacements may increase. Also, as the displacement capacity 

of the devices need to accommodate the total cumulative tensile 

displacement, a sufficient length should be provided to provide 

the desirable dissipation with sufficient inelastic displacement 

capacity. 

Based on the above discussion, it may be seen that there is a 

need to quantify how a friction tension-only device is likely to 

affect the frame performance, and also to obtain the likely frame 

and device maximum and cumulative inelastic displacement 

demands so that design may be undertaken with confidence.  

This paper seeks to address the needs above by explaining the 

detailed performance and aspects of one such frame considering 

an earthquake record scaled to different levels. In particular, 

answers are sought to the following questions for a 3-storey 

frame to understand the way that it responds to ground shaking:  

1. Is it possible to design a 3-D rocking frame system which 

has no resistance to self-centring, and which also dissipates 

significant frictional energy? 

2. What can we learn from the cyclic push-pull analysis of the 

frame? 

3. From time history analysis, what are the roof, peak uplift, 

and cumulative uplift, displacements, and base shear 

demands? 

4. What are the effects of shaking intensity on a frame 

considering uplift resistance from beam-slabs connected to 

the gravity frames?  

5. How does the frame performance with uplift resistance 

from beam-slabs connected to the gravity frames compare 

to that without consideration of these beam-slab effects?  

6. What is the sensitivity of the response to tooth pitch and 

GNG stiffness/strength?  

7. Can peak roof displacements be predicted? 

PREVIOUS STUDIES 

Steel Rocking Frames 

The early work on the response of rocking structures was 

conducted by Housner [1]. Clough and Huckelbridge [2] 

conducted some of the earliest rocking frame (experimental) 

tests and compared them with a conventional pin-base (steel) 

frame. They found that the member forces and floor 

accelerations of the rocking frame were lower than that of the 

conventional steel frame. Priestley et al. [3] developed a simple 

method to evaluate the rocking response of structures via the 

displacement response spectra using the equivalent damping of 

the rocking system. The earliest world leading application of 

rocking solutions was in 1981 on bridge piers of South 

Rangitikei Rail Bridge in New Zealand (NZ) [4,5] and on 

elevated freeway bridges in 1992 by Xiao et al. [6]. 

Rocking frames have been recently used in building structures 

(e.g., [7-9]). In NZ, the first steel structure designed to rock was 

built in Wellington in 2007 [7].  The rocking elements may be 

constructed of structural forms (e.g., walls or braced frames), 

using materials such as concrete, timber or steel. These 

elements generally uplift at their bases from their foundation 

and have some sort of key to transfer base shear and prevent 

wall-sliding at the base [10-16]. The elements are generally 

designed to remain essentially elastic during an earthquake 

event. Their lateral force resistance may be a result of gravity 

as shown in Figure 1(a), plus external post-tensioning using 

cables over the height of the structure [13] as shown in Figure 

1(b), or springs at the base of the structure as shown Figure 1(c) 

[17], plus effects from the rest of the structure (here referred to 

as beam-slab effects) as shown Figure 1(d). 

To reduce the possibility of frame resonance during earthquake 

shaking, and to further increase lateral strength, energy 

dissipation devices, such as those shown in Figure 1(e), may be 

used. These may be dissipaters like mini buckling restrained 

braces (BRBs) [18,19], ring-feder springs [17], lead extrusion 

devices [20,21], symmetrical or asymmetrical frictional devices 

[22], or others [23]. If one or more of these dissipaters are 

provided, then there needs to be sufficient energy dissipated for 

them to be effective, but not too much that they reduce the 

possibility of self-centring or prevent uplift/rocking. 
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Figure 1: Rocking frame restoring forces [24]. 

Midorikawa et al. [25,26] conducted shaking table tests of a 

half-scale three-story steel rocking frame after installing 

yielding plates at the bases of rocking columns to dissipate 

energy.  

Wada et al. [27] used a similar concept at the intermediate 

slender and tall columns. It was considered as a special column 

splice detail similar to the base yield plate connection to 

introduce rocking at a middle storey of slender truss-type-

columns. The dynamic tests showed that the design was very 

effective in keeping the column compression under the design 

limit. Hence, this design concept was implemented in an 

industrial storage building in Japan.  

A braced steel frame equipped with viscous dampers vertically 

between the column bases and the foundations was proposed by 

Tremblay et al. [28] as a cost-effective solution for enhanced 

seismic response of new and existing structures to severe 

earthquake ground motions. The numerical case study showed 

that the rocking response of the test frame could be predicted 

well using a simple finite element model that includes nonlinear 

viscous dampers and gap elements. It was shown from the 

results there was significant reduction in column uplift loads as 

compared to the traditional steel braced systems and confirmed 

similar case study structures could sustain design ground 

motion without structural collapse. The properties of the 

viscous dampers were verified though dynamic shake table 

testing. The test specimen for the shaking table test was a half-

scale 2-storey braced frame where these viscous dampers were 

installed underneath the column base. Under a specific ground 

motion input of magnitude 7.0, there was a peak base rotation 

of 1.5%. The experiment confirmed the adequacy of the 

numerical models used to predict the response of such systems. 
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Sause et al. [29,30] studied an uplifting rocking frame system 

with PT strands that provide self-centring resistance. A similar 

study was undertaken by Eatherton et al. [19,31] with steel 

butterfly shaped fuses and BRBs were employed as replaceable 

energy dissipation devices. A shaking table test was conducted 

at Stanford-Illinois-TIT by Deierlein et al. [10,11]. The frame 

cost was more because of the dissipater, and the dissipater 

reduced the response. For both these studies, post-tensioned 

cables extend to the top of the structures. This post-tensioning 

method results in larger member sizes throughout the frame as 

compared to the case when post-tensioning is applied at the 

bases, but it obviates the need for the springs at the frame bases. 

Sause et al. [30] proposed separating the rocking frame from 

the rest of the structure. Dissipaters between the frame and the 

rest of the structure may be placed to dissipate energy. 

Horizontal plates between the rocking frame and the structure 

behind may be used to transfer lateral forces, but not forces due 

to relative vertical deformation.  

Wiebe [32] following Eatherton et al. [19,31] showed that 

providing multiple rocking sections over the height of a rocking 

frame system substantially reduced storey shears and bending 

moments due to system response of the first and higher modes. 

Including a non-linear, self-centring shear control brace at the 

first level of the frame can also be used to control the peak 

forces in the system [33-36]. Base rocking provides system 

deformation capacity, while the first-storey brace is only 

needed to limit the shears caused by the higher modes.  

From around the time of the 2010-11 Canterbury earthquakes, 

structural steel has become the preferred construction material 

in NZ [8,9]. Steel frames, which are often concentrically 

braced, and may be easily connected using bolts or welds, are 

ideal for rocking structures. Several studies have been 

conducted on steel rocking systems and design guidance has 

been provided by Steel Construction NZ (SCNZ) [13].  

SCNZ [13] state that in order to reliably predict the 

displacements of structures, that the ratio, , of the lateral force 

resistance provided by dissipation devices (which yield in both 

tension and compression), Vdev, to that of the total yield 

strength, Vtotal, should be greater than 40% (i.e.,  >0.4) but 

there is no upper-bound limit provided in the SCNZ guide on 

the amount of energy dissipation. This means that the lateral 

force resistance associated with gravity and post-tensioning 

force, VPT, is less than 0.6 Vtotal, and Vdev/VPT > 2/3. If VPT is 

assumed to be bilinear elastic with zero post-elastic stiffness, 

the dissipater is assumed to be elastoplastic, and  =Vdev/Vtotal = 

0.40 as shown in Figure 2, then the hysteresis loop is flag 

shaped and the lower force of the flag, Vlower, is VPT – Vdev = 0.6 

Vtotal - 0.4Vtotal = 0.2 Vtotal (or 0.33VPT) as shown in Figure 2b. 

Because Vlower is positive, this means that there is no post-event 

residual displacement of the frame. Such a hysteresis loop 

which only passes through the zero displacement on 

displacement axis has been defined as “statically self-centring” 

[37]. For a structure with  > 50% (i.e., Vdev/VPT > 1), then Vlower 

< 0 and upon unloading from the peak displacement there many 

significant displacements at zero force. Such loops do not 

possess static self-centring. Such a loop with a ratio of 60% 

is illustrated in Figure 2c. In rocking frames without self-

centring, manual re-straightening may be required and may be 

costly.  

Dynamic self-centering is considered when a structure that does 

not possess static self-centering may still re-centre during a 

specific earthquake due to the interaction of dynamic damping 

and inertia forces, as well as potential contributions from the 

gravity system. Static self-centering is a more stringent 

requirement and will ensure that the rocking frame/wall fully 

re-seats after uplift and the structure returns to centre after all 

earthquakes. 

 

 

 

 

   

 

Figure 2: Base shear (V) - roof displacement (Δ) response 

for elastoplastic structure with tension-compression 

dissipater.   

Devices that carry both tension and compression force not only 

have the possibility of decreased static recentring, but during 

compression loading, they may also be susceptible to buckling 

and have difficulty with reseating. This may especially be a 

problem during earthquake bidirectional displacements as 

described by Gultom and Ma [38]. 

Tension Only Dissipation Device – GNG 

There may be different ways to avoid the above problems in 

compression in rocking structures. One way to do this is to use 

tension only dissipation devices that only carries tensile force, 

and no compressive force. Types of tension only device 

include: 

(i) A yielding tension cable carries force only in tension. 

However, force is carried only in the first tension quarter 

cycle to a specific tension displacement. In later shortening 

or elongation cycles to the same displacement, it carries no 

force.  

(ii) A self-centring device which has tension resistance and 

energy dissipation in the tension-elongation force-

displacement quadrant only through several cycles. A 

device with such a self-centring hysteresis loop, which can 

dissipate during many cycles, but which has limited peak 

displacement capacity while it is self-centring, and an 

increasing resistance with displacement, is described by 

Bagheri et al. [39], as well as others.  

(iii)  A ratchetting device, which dissipates energy in both the 

shortening and elongation tensile quadrants of the device 

hysteresis loop. Such a device is beneficial because the 

increased energy dissipation results in smaller peak 

displacements under shaking response cycles. In the 

rocking frame scenario, it is generally required to dissipate 

energy in the elongation tensile quadrant only (like the self-

centring device described in (ii) above), however, it has the 

advantages that 

a. it can dissipate energy when there are both large peak 

and repeated cyclic displacements, and  

b. the dissipator inelastic force does not change with 

displacement, allowing smaller frame members 

foundations. 

This ratchetting “tension only” dissipation device, also known 

as the “GripNGrab” (GNG) device, is used in the remainder of 

the paper. It consists of 2 parts – a ratchetting component (such 

as the behaviour of cable-ties), and a dissipation component 

which carries significant force only when the structure is 

yielding [23,40] as shown in Figure 3. Components have been 

built and tested [41-47] and analyses of rocking frames were 

conducted by Cook et al. [47] using tension-only devices, and 

by Rangwani et al. [16] using tension-only friction devices. 

They have also been used in yielding braced systems by Rad et 

al. [48]. 



V V 




Vtotal= VPT 

uplift 

V Vtotal 

= VPT + Vdev 

Vtotal 

Vlower 

  (a) PT alone              (b)  = 0.40              (c)  = 0.60          
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Figure 3: GNG device and behaviour [23,50].

When the device is engaged in tension, energy is dissipated via 

yielding/sliding in the yielding/frictional component. When the 

device is loaded in the compression direction, almost no force 

is carried, so it does not buckle but displacement occurs in the 

ratchetting component. This tension only direction of ratchet 

teeth engagement helps eliminate residual compressive forces 

as shown in Figure 3. The ratchetting during the shortening of 

the device as the frame/wall base returns to the foundation 

allows recentring. During tension loading, (wall uplift) there 

may be some free travel until the teeth engage during tension-

loading. After the teeth have engaged, and the dissipater 

strength is reached, energy dissipation occurs. A detailed 

conceptual explanation of tension only device behaviour has 

been described in Figure 3. The device itself is shown with the 

teeth in blue. A small lateral compressive force is required to 

encourage the two parts not to remain in contact, so that the 

teeth engage. The dissipate element is shown in brown. 

Dissipation may occur due to yielding, frictional sliding or 

other means. Initially the device is loaded elastically in tension 

(A-B) then yielding/frictional sliding occurs in the dissipative 

element increasing its length (B-C). When the force is taken off 

(C-D) there is some elastic shortening of the dissipative 

element. When compression force is applied, the device carries 

very little compression but ratchetting occurs as the teeth in the 

ratchet slide relative to each other (D-E). This causes the 

compressive force to increase and decrease over this range, but 

it is not shown in the figure, because both levels of force are 

very small. The device maximum compressive axial force 

occurs when the teeth peaks on both side of the ratchet touch 

the peaks of the teeth on the other of the ratchet. This is when 

the maximum lateral expansion (and hence lateral compression) 

of the ratchet occurs. With further movement, the tooth peak on 

one side moves into the trough on the other side and the ratchet 

compressive force, and the device axial compressive force 

decreases. The peak ratchetting force is a function of the ratchet 

properties including tooth amplitude, friction within the ratchet, 

and the ratchet lateral compressive force holding the teeth on 

both sides together. This force should be small (say, 1% of the 

peak tensile force), so that buckling of the GNG system in 

compression does not occur. When tension force is applied 

again (E-F), the device undergoes free-travel until the teeth are 

engaged but the dissipative element does not change in length 

since the axial force in this stage is very small. The maximum 

possible free-travel distance in stage E-F is the tooth pitch. For 

greater tensions (F-G), displacement increases in the elastic 

range and then causes dissipation in the dissipative element as 

before [23,49]. 

To date, this ratcheting mechanism has been used only with 

yielding dissipaters eg: [41-47], but it can be used with any 

energy dissipation mechanism. Yielding dissipaters have a 

relatively low displacement capacity [48], but the GNG friction 

device can be made very long. In a rocking frame, the frictional 

GNG has a possibility of providing large displacements and full 

recentring, without undergoing significant damage. A 

preliminary study on the frictional GNG with a rocking frame 

was conducted by Livia and Yoo [51] where a small-scale 

experimental rocking model was used with frictional GNG to 

demonstrate this new concept. A rotational friction GNG is also 

being developed for testing on a brace in a 2-storey building in 

China where the dissipater ratchets in one direction and in the 

other direction the motion was controlled by the frictional bolts 

[52]. Due to rotational motion, it did not run out of stroke. 

However, this device may be costly. 

There are two common means of dissipating energy using 

friction. These are the symmetric friction connection (SFC) and 

asymmetric friction connection (AFC) devices [53] SFCs, 

originally used by Pall & Marsh [54], Grigorian & Popov [55], 

provide the greatest sliding forces, so are discussed further here. 

A SFC consists of two thin high hardness shims [53] which 

sandwich a central steel element (such as a plate or section 

element) with slotted holes as shown in Figure 4. Additional 

external elements (plates or elements of a steel section) are 

placed either side, sandwiching the central slotted plate/element 

and shims. High strength structural bolts, with washers pass 

through the slotted hole and provide a clamping force so that 

friction can develop over sliding surfaces between the central 

plates and shims. Washers may be flat structural washers, or 

conical spring washers (CSWs), also known as Belleville 

springs (BeS).  

When structural washers are used, bolts are generally proof 

loaded. When CSWs are used, there is the possibility of 

tensioning them to a lower fraction of the bolt proof load. 

Advantages of using such partially posttensioned CSWs 

(PPCSWs), as shown in Figure 4a, are that: the bolt will be 

unlikely to yield if, during sliding, the nut and bolt head are 
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forced apart; the compressive forces are spread out resulting in 

lower material degradation on the sliding surface; the sliding 

force can easily be adjusted by changing the bolt tension force; 

and repeatable performance may be obtained over many cycles 

[56,57]. However, high quality CSWs need to be designed and 

ordered from a limited number of suppliers, so they can cost 

significantly more than structural washers. Also, a longer 

connection, with more bolts and holes, may be required to 

obtain a specific sliding force as each bolt axial force is 

reduced.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

The SFC is so named because the resisting force on either side 

of the central plates are similar. Effective friction coefficients, 

eff (defined as the sliding force divided by the number of bolts, 

number of surfaces, and bolt proof load) obtained from 

desirable hysteresis loops have been as high as 0.47 in 

connections with standard washers and proof-loaded bolts 

using Bisalloy 500 shims [58-60]. When CSWs have been used, 

desirable hysteresis loops have been demonstrated by Xie et al. 

[61] (as shown in Figure 4b). 

For flat structural washers, with proof loaded bolts, the 

connection sliding force, fs, may be obtained using Equation 1 

[50,56] where nbolts is the number of proof loaded bolts 

installed, nei is the number of effective interfaces (nei = 2 for a 

SFC), μeff is the effective coefficient of friction (obtained from 

experimental results), and Ntf is the bolt proof load. The 

equation can be obtained for PPCSW by using the actual axial 

force, N, instead of Ntf. 

𝑓𝑠 = 𝑛𝑏𝑜𝑙𝑡𝑠 ∗ 𝑛𝑒𝑖 ∗ μ𝑒𝑓𝑓 ∗ 𝑁𝑡𝑓  (1)  

It is possible to initially post-tension GNG tension-only 

devices. This may be easily conducted by connecting the device 

to the frame and leaving a gap below the base-plate connection 

immediately above the foundation. The bolts connecting this 

plate to the foundation may be tightened causing device tension 

and some frictional slip. Such post-tensioning was not 

considered in this particular study. 

Displacement Prediction 

It was seen in Figure 2, that for low device strengths, the energy 

dissipated may be small. SCNZ (2015) recommends  > 0.40 

based on studies with tension-compression devices. based on 

studies with tension-compression devices. For tension-only 

devices, there is no compression resistance. Because of this, 

even if the SCNZ criteria is satisfied, the hysteretic energy 

dissipated during a full displacement cycle of a structure, with 

tension-only devices will be about one half of that for one using 

tension-compression devices with the same nominal yield 

force. This lower energy dissipation is likely to result in 

increased displacements. Furthermore, if lower dissipater 

strengths are used, then this may result in still greater 

displacements especially for structures expected to undergo 

many large displacement cycles, such as may be caused by long 

duration shaking from a long duration earthquake, or for a short 

period structure during a regular shaking event (e.g., Oscillation 

Resistance Concept (ORR) [63]). Displacements in the rocking 

frame systems are generally predicted using the methods below: 

The equal displacement method assumes that structures with 

long fundamental period, T, will have the same peak 

displacements irrespective of the hysteretic dissipation 

characteristics [64].  Similarly, the equal energy method was 

also proposed and used widely used [3]. Berrill et al. [65] 

combined these concepts into one equation which gives the 

equal displacement concept for long period structures, and 

higher displacements for shorter period structures as a result of 

calibration of the relationship between lateral force reduction 

(R) (which is the same as k in NZS1170.5 [66]) and ductility 

(). Vidic et al. [67], referencing Berrill et al. [65], propose a 

similar method. Variations on the Berrill et al. [65] method is 

now used in many standards worldwide (e.g. [66]). Various 

other methods of predicting the displacements of self-centering 

systems are discussed in papers by Seo [68], Rahgozar et al 

[69], Joo et al [70], and Zhang et al [71]. 

A substitute structure approach popularized by Gulkan and 

Sozen [72], for single storey structures, and used in ATC-40 

[73] in the capacity spectra method, for multistorey structures,  

considers that the displacement response of an inelastically 

behaving oscillator may be found from that of an elastically 

responding oscillator with the same secant stiffness as the 

inelastically responding structure at the peak displacement and 

with a level of viscous damping which dissipates the same 

energy as the hysteretic energy dissipated. This concept, using 

an effective stiffness and effective damping, is also considered 

by Priestley et al [3]. However, it does not represent the 

behaviour of a range of hysteretic loops well, so the damping 

values were calibrated to enable the desired results to be 

obtained [74]. While the concept is simple, iteration is required 

to estimate the displacements. In many cases, similar results are 

obtained from this calibrated method to those from the 

calibrated R-T- approach, as would be expected. 

Since the displacement response of structures may be greater 

than that from the NZS1170.5 [66] calibrated R-T- 

relationship, as a result of the low amount of hysteretic energy 

dissipated in a rocking frame, SCNZ [13] suggests that 

NZS1170.5 [66] displacements simply be multiplied by 1.3 [17] 

(Equation 2), is the peak roof displacement, des is the 

structural design ductility factor, and y is the yield 

displacement. 

 = 1.3 des
 y (2) 

Some issues with this approach are:  

1 It predicts a displacement 1.3 times the elastic 

displacement, even when the shaking is small enough that 

the structure remains elastic. In such a case the structure is 

not rocking, so the 1.3 factor should not be needed. If it used 

only after rocking starts, the predicted response then has a 

discontinuity at the rocking point. FEMA356 [75], also 

with a displacement amplification for structures with 

pinched hysteresis loops, has similar issues.  

2 It is not clear on how the period for use of this approach 

should be calculated, and damping values for calculation of 

the elastic displacement, which is used to compute des, are 

also not provided. This means some assumptions are 

required so there is no unique SCNZ approach.  
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Figure 4: Sliding frictional component.  
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(a) ILEE Robust building        (b) Rocking frame model  

 

Figure 5: ROBUST rocking frame.

An improved approach proposed by Pennucci et al. [76] is 

shown in Equation 3. However, this method does not consider 

the effect of structural period, T, on the increase in structural 

response.  

 = R1.3 y   (3) 

METHODOLOGY 

Rocking Frame Design Concept 

The 9m tall 4.75m wide steel rocking frame with V braces was 

part of a building similar to the one used in ROBUST project 

[77,78] as shown in Figures 5a and 5b. The rocking frame is 

designed to be in Wellington (hazard factor, Z as 0.4) on soil 

class C with an importance level (IL) of 2. The near fault factor, 

N (T, D) was taken as 1.0, as was the structural performance 

factor, Sp, and the serviceability factor, Rs = 0.25.  

The rocking frame is in the transverse (short) direction. Frame 

gravity forces and seismic weight (Wt) were 117kN and 38.5 

tonnes, respectively. The fundamental period was 0.16s based 

on the initial (pre-uplift) stiffness and seismic weight using 

eigenvalue analysis. This resulted in a seismic coefficient, 

Ch(T) = 2.36.  

Design was conducted using the Equivalent Static Method 

(ESM) procedure (NZS1170.5 [66]). The reduced design level 

base shear and overturning moment (MOT) demands were 90kN 

and 654kNm respectively using Equation 4 (NZS1170.5 Clause 

5.2.1 [66]) where kµ = R = min {1 + (µ - 1) (T/0.7s), µ}.       

Vb = Ch(T) * Rs * Z * N(T, D) * Sp/ kµ * Wt    (4) 

The design requirements were [16]: 

a) No uplift under wind loading (but no wind was considered 

here so this concept did not govern)  

b) A lateral strength associated with a serviceability 

requirement (µ = 1, Sp = 1, and Rs = 0.25) considering 

gravity and device overturning resistance, but not 

considering the beam-slab.  

c) A lateral strength associated with a design ductility, µ = 3, 

with Sp = 0.70 considering gravity, devices, and the beam-

slab. It is noted that there is no limit on the actual ductility 

since slotted holes may be long providing significant 

inelastic displacement capacity. 

The strength was controlled by the serviceability requirement. 

Also, the point of dissipater yield/sliding movement obtained 

when ignoring beam-slab resistance was chosen as the effective 

"yield point" to compute the period of the frame for design. 

Specific Design Considerations  

The required GNG strength contribution to the moment at the 

base of the structure, MGNG, was obtained using Equation 5 

according to the SCNZ rocking design guide [13], where MOT 

is the base overturning moment demand, MG is the moment 

resistance due to gravity force, MPT is the moment resistance 

due to post-tensioning (PT), and MSlab is the moment resistance 

from the longitudinal composite beam-slab that is uplifted by 

the rocking frame. 

MGNG    ≥ MOT - MG - MPT - MSlab  (5) 

In the frame considered, gravity and “tension only” dissipater 

(i.e., GNG) forces, together with the longitudinal beam-slab 

effects, were sufficient to carry the design forces so 

posttensioning was not provided (i.e., MPT = 0).  

When the slab contribution is zero (i.e., MSlab = 0), as is assumed 

to obtain the frame lateral design strength, the total moment 

resisted by gravity, MG was 43% of the design overturning 

moment (MOT). Therefore, the GNG resistance, MGNG was 

0.57MOT which is greater than 0.4MOT thereby satisfying the 

SCNZ [13] criteria.  

A GNG device, with the ratchet and sliding symmetric friction 

connection (SFC) dissipater, providing this required strength is 

mounted at the base of the rocking frame as shown in Figure 5. 

Figure 6 illustrates the device itself. In the upper part, teeth in 

the rack plate engage with the those in the main body to provide 

the tension-only properties. High hardness shims are placed 
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between the inner and outer plates where sliding occurs in the 

lower part of the device. More detailed information is available 

in [79]. 

The required GNG sliding strength of 80kN using one Grade 

8.8 M16 bolt with 2 interfaces, using eff = 0.47 and Ntf = 95kN 

the sliding strength, provided from Equation 1, was 

approximately 90kN. This considered the frictional dependable 

strength factor, , of 0.70. The minimum overstrength factor for 

design of the other frame components, o, was 1.40 [23].  

The steel frame and connections were designed to remain 

elastic during all levels of earthquake shaking. Inelasticity was 

possible only in the dissipator and due to flexural yield of the 

out-of-plane beam-slab resulting from frame uplift (as 

illustrated in Figure 1d). The steel frame design strength was 

provided according to MacRae et al [80]. This approach 

considers device overstrength, slab effects, and system 

inelasticity causing frame deformations to vary from that due to 

the lateral force distribution, and also the effects of other 

vertical columns in the structure. Such beam-slab deformation 

and yield may be avoided in frames where the rocking frame is 

separated (vertically de-coupled) from the gravity frames. 

Modelling with GNG Device - Example Frame 

The 2D steel rocking frame above was modelled in Open 

System for Earthquake Engineering Simulation (OpenSEES) 

[81], with a frictional GNG device. The device benchmark 

strength was 90kN for the inelastic analysis. It was also 

increased up to 200kN to understand the effect of this parameter 

on the response. This device strength range of 90 to 200kN 

corresponded to lateral force reduction factors, R = k, from 

2.13 to 3.7 for the design level shaking. The value of 3.7 is 

slightly less than 1/Rs = 4 considering the GNG strength 

provided, where Rs is the serviceability factor. The GNG 

hysteresis model developed by Cook et al. [46] was used. This 

model includes the tooth pitch and the free travel before the 

device takes up force as shown between E and F in Figure 3.  

GNG Area Stiffness Selection and Verification 

The GNG system stiffness depends on the component 

stiffnesses – the ratchet, the friction dissipater, and the 

connections (with the pawls, supporting arms, pins, bearings, 

and baseplate) [82]. As the dissipater extends due to frictional 

sliding in a tensile displacement excursion, the component 

stiffness can be expected to decrease slightly. If the GNG pre-

yield axial stiffness is lower than considered during the design 

and modelling process, then structural drifts may increase. 

Also, sliding within the frictional dissipator may not occur for 

small uplift cycles if there is large elastic deflection within the 

GNG component. For the design conducted using available 

(realistic) properties of GNG parts and a design GNG force of 

200kN to allow for significant overstrength, areas of the rack 

and rectangular hollow section shown in Figure 6 were 

4896mm2 and 1760mm2 respectively. These values provided a 

maximum stress of 0.4fy, where fy is the yield stress of 300MPa. 

The lower of two areas, that is AGNG =1760mm2, was assumed 

to provide a reasonable approximation to the GNG system 

elastic stiffness at all extensions/lengths. Given the area of the 

dissipater, AGNG, the steel elastic modulus Es = 200GPa, the 

GNG length, LGNG = 2.2m, and yield force, Fy, of 90kN, 

indicates an elastic deformation at yield, y, of about 0.54mm. 

To consider additional possible sources of flexibility due to the 

other GNG components and connections, a sensitivity analysis 

was carried out. The average GNG pre-yield axial stiffness, 

KGNG obtained was 87272kN/m and 45545kN/m with respect to 

AGNG of 1,000mm2 and 500mm2 respectively from Equation 6: 

KGNG = EsAGNG/LGNG  (6) 

A composite beam-slab section with a length of 3.625m in the 

frame out-of-plane direction also provided frame uplift 

resistance [77]. The beam-slabs are connected to the central 

transverse beam spanning between central columns in Figure 1. 

It is assumed that little uplift occurs at this location, thereby 

providing a fixed cantilever support, while uplift occurs at the 

beam ends where they are pinned at the rocking frame. In the 

OpenSEES model, this composite cantilever beam stiffness is 

represented by vertical springs shown in Figure 5b. These fixed 

node vertical springs were applied on each floor at each side of 

the rocking frame model (see Figure 5b).  

The slab effective width is 536mm according to NZS3404 

Clause 13.4.2.2 [83] and the beam column effective flexural 

stiffness was obtained using transformed area approach 

assuming full composite action. The vertical springs were 

assumed to have bilinear force-displacement properties with an 

effective stiffness of 3489kN/m and a strain hardening ratio, b 

as 0.0002. The composite beam-slab flexural strength, My_slab 

was 400kNm so the vertical force at the beam end causing this 

moment, Fy_slab, was 111kN. 

Pushover (PO) Curve  

The structure PO analysis curve is shown in Figure 7 up to a 

displacement of 100mm or 1.11% roof drift (taking the 

structural height as 9.0m), using the NZS1170.5 [66] lateral 

force distribution. P-delta effects did not significantly affect the 

response. 

The red curve indicates the frame resistance provided only by 

gravity forces. The frame starts uplifting at 0.95mm roof 

displacement (0.0105% roof drift) at a base shear force, V1, of 

40kN.  

The green curve, including the tension-only (GNG) device 

effects, indicates a lateral base shear strength, V2, of 101kN. At 

(c) Exploded view          (d) GNG 3D view 

(a) GNG Elevation (b) GNG side view 

Figure 6: GNG device and components.  
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this point the peak roof and uplift displacements are 6.2mm 

(0.069% roof drift) and 2.0mm (0.042% base), respectively. 

The device design tensile strength of 90kN was computed based 

on a 101 kN base shear force.  

 

 

 

 

 

 

 

 

 

 

 

 

Figure 7: Pushover curve of 2D rocking frame GNG. 

The black curve on the graph indicates the rocking frame 

resistance due to a combination of gravity, the GNG, plus 

longitudinal beam-slab effects. This curve reached a maximum 

of 327 kN at a peak displacement of 67 mm (0.74% roof drift). 

After this displacement, the beam-slab strength is reached. 

This pushover analysis is consistent with earlier discussions 

where the ratio  of the base shear resulting from the device, 

Vdev (=61kN) to that of the total structure considering gravity 

loading and the device without the beam-slab, V2 (=101kN), 

which is also Vtotal in our case, is 61%. The peak pushover 

displacement at peak strength was reached at 5.8 times the uplift 

displacement with gravity alone. The ratio, Vdev/V2, is only 

19% when the beam-slab effect is considered for the 500-year 

design level roof displacement following the SCNZ design 

guide procedure. The lower is because of the higher V2. Only 

the weaker frame without the beam-slab satisfies the SCNZ 

rocking frame design guide minimum limit, , of 40%. The 

SCNZ recommendation was based on frames with tension-

compression dissipaters as shown in Figure 2. For frames with 

tension only dissipators the energy dissipated is one-half of that 

for the same Vdev/V2 considering the same peak displacement. 

Building Torsional Considerations 

As shown in Figure 5a, the rocking frame is part of a 3-D 

structure with the V-braced rocking frame and GNG device 

placed along the transverse direction as shown in Figure 5b. 

While only transverse direction shaking is considered, it is 

possible that irregularity in mass, stiffness, or strength, that 

building plan torsion could destabilize the structure. One step-

by-step procedure to consider torsion, following the 

NZS1170.5 [66] approach, is explained below:  

Step 1: Longitudinal frame base shear forces obtained due to 

torsion, Vframe,torsion (Equation 7), assuming a mass eccentricity 

of 0.1b, where b is the building width, and a is the distance 

between longitudinal frames, are: 

 

Vframe,torsion = Vb x 0.1b/a  

 = 90 kN x (0.1 x 7.25m)/ 4.75m 

 = 13.7 kN  

(7) 

 

Step 2: Longitudinal frame roof displacements due to torsion 

were found using frame analysis software with the NZS1170.5 

[66] lateral force distribution to be 10.1mm, causing a plan 

twist, long, of 10.06mm/(4.75m/2) = 0.004 rad. This in turn 

caused a rocking (transverse) frame roof displacement due to 

torsion of 0.004 rad x (7.5m/2) = 15.3mm. Since the transverse 

displacement without torsion under 2xDLS is 159mm, this 

gives a torsional component of 9.5% of the transverse 

displacement at this shaking level, but more at lower shaking 

levels. 

Step 3: Beam end moments were 14kNm (from the torsional 

analysis) which is much less than the beam-slab nominal 

flexural strength, My_slab, of 400kNm the out-of-plane frames 

can easily stabilize the structure. 

Column base moments due to torsion for corner (left and right) 

columns C1 and centre (along the longitudinal side) C2 column 

in the plan considered were 16.6kNm, 16.3kNm and 19.3kNm 

respectively. These were also significantly less than half their 

computed capacity indicating that any torsion, if it occurs, 

should not detrimentally affect the structure behaviour. 

Frame Detailing 

Representative GNG connections to the frame are shown in 

Figure 8. Shear rods, with nuts at the top allow uplift of the 

rocking frame columns to a specified frame rigid body rotation 

of 5% as shown in Figure 8a. Shear keys in Figure 8b resist 

horizontal base shear forces at the frame base brace intersection 

while permitting uplift. The GNG pinned base plate connection 

to the foundation is in Figure 8c. The horizontal view of GNG 

device is shown in Figure 8d. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Rocking Frame Displacement Prediction  

The three approaches are considered for the prediction of 

rocking frame displacements without the beam-slab, as 

described in the literature section. They were (i) the SCNZ 

approach [13] based on the NZS1170.5 [66], (ii) the substitute 

structure method using information from [72-74] and (iii) a new 

approach introduced here.  

The SCNZ approach estimates peak roof displacement (PRD), 

roof, rocking, using Equation 8 which is based on Equation 2. The 

value of 1.5 approximates the “yield” roof displacement, y,roof, 

divided by the “yield” centre of mass displacement, y,CM, 

considering an inverted triangular lateral force distribution. 

These “yield” displacements occur after uplift occurs, and they 

are taken at the initiation of GNG sliding. The 1.3 is the 

magnification of displacement for rocking structures according 

to SCNZ [13] due to their pinched hysteresis loops. Also, µdes 

is the design ductility found as a function of strength and period 

according to NZS1170.5 [66]. When the beam-slab effect is 

ignored, the “yield” base shear force-roof displacement point 

GNG Base 

Plate 

(c) 

(a) 

(b) 

(c) 

Shear key 

(a) 

(b) 

GNG Device connected pin-to-pin (horizontal view) 

(d) 

(d) 

Figure 8: Rocking frame and component details.  

All dimensions in mm 
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(V2, DRy,roof) = (101kN, 6.2mm) according to the pushover 

curve in Figure 7. 

roof, rocking = 1.5 x 1.3 x µdesxy,CM (8) 

At the centre of mass, the displacement at GNG sliding, y,CM, 

is 4.13mm so the secant stiffness to this point is 101kN/4.13mm 

= 24.5MN/m. Using the effective first mode mass, the period 

associated with this stiffness is 0.25s. Also, the damping is 

taken as 5% for a fully clad structure.  

For the equivalent stiffness/damping approach from Gulkan 

and Sozen [72], the MDOF structure was transformed into an 

equivalent SDOF structure with an initial stiffness, mass and 

period obtained from Priestley [74]. Iteration was conducted to 

obtain the effective period was based on the secant stiffness, 

and the effective damping. This damping was obtained using 

the hysteretic energy dissipated in a full cycle of response to the 

peak displacement following Gulkan and Sozen [72] assuming 

an elastic stiffness corresponding to initiation of sliding. The 

Gulkan and Sozen [72] approach was used rather than the later 

calibrated versions because it is based on a fundamental 

concept. The roof yield displacement (y,roof) was based on the 

GNG sliding point of 6.2mm as before. 

Numerical Analysis 

In addition to the nonlinear static pushover (NSP) analysis 

described above. Two other types of analysis were performed: 

i) Nonlinear cyclic pushover (NCP) analysis of the 2D 

rocking frame model was performed using an inverted 

triangular lateral force pattern, and a small integration 

displacement increment between target displacements 

(often 0.00001mm). The peak target roof displacements, 

PTRD, used were the peak values obtained during nonlinear 

dynamic analysis (NDA) of the structure under the El 

Centro 1940 Array 9 NS record for the frame nonlinear 

dynamic analysis (NDA) conducted. The peak target roof 

displacements (PTRDs) in both the positive and negative 

directions from the NDA were considered. Before this, 

increasing PTRDs were used with different PTRD step 

sizes. For example, for DLS shaking for the frame with no 

beam-slab) the peak displacements from NDA were -75mm 

and +92mm. The PTRDs were to the following values (in 

mm): +0.5, 0, +1.0, -0.5, +1.5, -1.5, +2.5, -2.5, +3.5, -3.5, 

+4.5, -4.5, +5.5, -9.5, +10.5, -14.5, +15.5, -24.5, +25.5, -

34.5, +35.5, -44.5, +45.5, -54.5, +55.5, -64.5, +65.5, -75, 

+92, +12.5 as shown in Figure 9. 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 9: Roof PTRD history for frame with no slab. 

ii) Nonlinear dynamic analysis, also known as inelastic 

dynamic time history analysis, was conducted using the 

Newmark β = ¼ method with an integration time-step of 

0.01s and Newton-Raphson was used for convergence. The 

OpenSEES mass - tangent stiffness proportional Rayleigh 

damping ratio of 5% critical damping was applied in the 

first and 10th modes for the time history analysis [84]. Since 

the mass remained constant, this is simply tangent stiffness 

proportional Rayleigh damping. The ground motion (GM) 

record used for the TH analysis is IV El-Centro 1940 Array-

9 with a recorded time-step as 0.005s. This record was 

selected because it matched the NZS1170.5 [66] spectral 

shape over a range of periods for ground type C. GM record 

response spectra was scaled for Wellington following the 

NZS1170.5 [66] procedure as shown in Figure 10. In 

addition, the record was scaled to different magnitudes. 

This is also known as incremental dynamic analysis (IDA). 

 

 

 

 

 

 

 

Figure 10: Response and target spectra from                      

GM EC1940 Array-9. 

The 2D linear and non-linear analysis of the rocking frame with 

the GNG device without and with slab effects were conducted. 

Parameters of interest were the absolute maximum peak roof 

lateral displacement (PRD), peak uplift displacement (PUD), 

cumulative uplift displacement (CUD), GNG forces and 

absolute maximum horizontal frame base shear forces. The 

PUD and CUD were measured beneath the centre of the 

column. The CUD was obtained during postprocessing using 

MATLAB. Geometric considerations are necessary to estimate 

the PUD and CUD at the location of the GNG device. The CUD 

at the GNG device, which is the sum of peak uplift values there, 

is important for friction dissipater length specification as it is a 

slight upper bound of the required dissipater inelastic 

displacement capacity due to tooth pitch and GNG stiffness 

effects.  

BEHAVIOUR 

Nonlinear Cyclic Pushover (NCP) Analysis  

The deformation mechanisms at each step of pushover cyclic 

analysis without and with the beam-slab are shown in Figures 

11 and 12, respectively. The backbone curves are consistent 

with the monotonic static pushover analysis of Figure 7.  

In Figure 11, without the beam-slab effect, the symbol (a) 

indicates the frame in its at rest position. As the rocking frame 

is pushed laterally towards right lateral force resistance is 

provided by the gravity forces (i.e., Region A, Gravity 

Contribution). Uplift of the frame initiates at point (b) on the 

left side of the frame when the roof displacement is 0.95mm 

and the lateral resistance provided by gravity is overcome. As 

the frame is pushed further to a roof displacement of 6.2mm, 

the GNG dissipater attached to the base of the frame on the left 

side provides the lateral force resistance (i.e., Region B, Device 

Contribution). From this point (c), sliding of the left GNG 

dissipater occurs at a frame lateral shear force 101kN (i.e., 

Region C, sliding region) and the frame here rotates about the 

right base as a rigid body. After the PTRD at point (d) of 92mm 

is reached, corresponding to the PTRD from the NDA, elastic 
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unloading of the device occurs to point (e). From here until 

point (b), ratchetting of the GNG device occurs as the teeth 

within GNG device slide without force (i.e., Region D, 

ratchetting region) as described in Figure 3. Here, the GNG 

device is subject to very small compressive force, but because 

the force is very small, no buckling occurs. The whole 

unloading from (d) to (a) occurs without requiring any external 

force and guarantees recentering of the system if the frame itself 

remains elastic. When it has returned to (a), the structure is now 

not in its at-rest position, but it is likely to have significant 

velocity after the significant potential energy is released as it 

unloads from (d) to (a). As the frame deforms in the negative 

direction, it repeats the cycle above, but it has a reduced 

displacement (d’) as a result of the record considered.  

 

 

 

 

 

 

 

(i) Cyclic pushover curve. 

 

 

 

(ii) Frame monotonic deformations. 

Figure 11: Deformation mechanisms at each step of cyclic 

pushover analysis at DLS level (with no longitudinal slab). 

 

 

 

 

 

 

 

 

 

 

(i) Cyclic pushover curve. 

 

 

 

 

(ii) Frame deformations. 

Figure 12: Deformation mechanisms at each step of cyclic 

pushover analysis at DLS level (with longitudinal slab). 

For a frame (in the building transverse direction), the beam-slab 

acts in the frame out-of-plane direction (or building 

longitudinal direction) contributing to the frame lateral force 

resistance in addition to the gravity and dissipater effects as 

shown in Figure 12. Here, the label numbering is shown on the 

negative side of the graph because there is greater displacement 

in this direction. As in Figure 11, point (a) is at rest, and point 

(b) is uplift at a base a base shear, V1, of 40kN. However, at 

point (c), V2 increases from 101kN to 115kN as the beam-slab 

effect is also resisting the lateral force. The beam-slab effect 

also causes increased resistance as deformation further 

increases to (d) at 67mm (0.74% roof drift) where the slab starts 

yielding with a plastic hinge near the internal column. After this 

onset of slab-yielding the force remains the same at 327kN and 

does not further increase. The maximum displacement from the 

time history analysis of 73.3mm (0.81% roof drift) at (e) was 

used as the maximum negative PTRD. For the same record 

considered in Figure 12, the overall frame displacements were 

reduced by 20% and the beam-slab increased the lateral force 

resistance until it was 327.7kN/101kN = 3.24 times that of the 

Figure 11 frame. 

Figures 13a shows the frame uplift behaviour at small drifts. 

The left base uplift occurs when the roof displacement moves 

to the right and vice-versa. Frame lateral force-roof drift, and 

force-uplift schematics are shown in the insert. In Stage 1, when 

lateral force is initially applied, the roof displacement increases, 

but the frame does not rock until a roof displacement of 0.95mm 

is reached at the uplift/roof displacement coordinate (DU, DR) 

of (0.0mm, 0.95mm). In Stage 2, both displacements increase 

until device sliding (2mm, 6.2mm) and the system remains 

elastic with no energy dissipation. Beyond this point (Stage 3), 

both DU and DR increase giving a different slope as energy 

dissipation device sliding occurs. This loading follows the 

lower curve in Figure 13a to the (DU, DR) points shown. 

Because rigid body displacement of the frame is occurring here, 
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the ratio of DU/DR is equal to the frame base dimension divided 

by the frame height of 4.75m/9m = 0.527. On roof displacement 

reversal (Stage 4), the slope of the (DU, DR) curve is the same 

as that of Stage 2 (i.e., the elastic response from uplift until 

device sliding). This gives a line parallel to that in Stage 2. The 

next stage, Stage 5, occurs where there is ratchetting and the 

slope here is the same as Stage 3, and it continues until the base 

makes contact with the foundation (i.e., the uplift displacement 

becomes zero, DU = 0). Thereafter, the roof elastic displacement 

decreases as the curve moves back toward, and past, the point 

(0mm, 0mm). No uplift occurs during this Stage 6 and the curve 

remains on the x-axis. Upon displacement reversal, there is no 

uplift again until point (b) in Figure 12, the uplift point (0.0mm, 

0.95mm) is until a positive roof displacement is obtained. Until 

then the curve remains on the x axis (i.e., DU = 0) in Stage 1. 

This is similar to the initial behaviour during Stage 1, except it 

does not necessarily start from the origin. The fact that the 

loading and unloading portions of the (DU, DR) curve are not on 

the same line, is due to the energy dissipation due to sliding 

with the SFC element. This small-displacement behaviour is the 

same for both the cases with and without slab effects and both 

curves are shown on top of each other here.  

For greater drifts to the maximum PTRDs for both without the 

beam-slab effect and with the beam-slab Figure 13b gives 

DU/DR ratios at peak uplift of 48mm (left base) and 38.4mm 

(right base) respectively. The slightly lower ratio for the cases 

with the beam-slab is because the beam-slab is resisting the 

uplift, so the post-sliding behaviour is not purely rigid body 

rotation. Since these DU/DR ratios are similar and are slightly 

less than the rigid body value of 0.527, the rigid body approach 

gives a reasonable and slightly conservative estimate of the 

uplift behaviour at large displacements so it can conservatively 

be used for design. 

Nonlinear Dynamic Analysis  

Roof Displacements with and without Beam-Slab Effects 

Figure 14 shows THA behaviour of the frames during the 

design level shaking (DLS) event described in the methodology 

on top of the cyclic PO behaviour without and with the 

longitudinal slab as shown in Figures 11 and 12.  

 

 

 

 

 

 

 

 

 

 

Figure 14: Comparison of pushover cyclic and THA at 

record DLS displacements. 

The THA dynamic response indicates different forces than the 

PO curves because the instantaneous lateral force distributions 

change (i.e., they do not remain as the inverse triangular 

distribution) during the record, and this causes a variation in, 

including increased, base shear forces. If it is desired for the 

frame itself to remain elastic during this event, it should be 

designed for a base shear force associated with that from the 

THA. The increase is referred to as the base shear dynamic 

magnification factor in NZ standards. With the beam-slab, there 

is no increase for this particular record and shaking intensity. 

Specific response values are described using the Tables 1 to 4. 

Detailed Response without Beam-Slab Effects 

Table 1, showing roof, uplift, and cumulative, displacement 

demands, and corresponding lateral forces of the structure 

without longitudinal slab effects, indicate that GNG device 

sliding does not occur at a shaking intensity of 0.25xDLS 

because the GNG force, FGNG, is less than the sliding strength 

of 90kN. As the shaking intensity, MF, is increased 4-fold from 

0.5xDLS to 2xDLS, there is more a 10-fold increase in roof 

displacement, PRD, from 38mm (0.4% roof drift) to 366mm 

(4.07% roof drift). The PRD increase rate, being significantly 

greater than the MF increase rate, was attributed to (i) the short 

period of the structure, and (ii) the low hysteretic energy 

dissipation.  

Over the same intensity range, left base uplift displacements 

increased from 13.3 mm (giving a base rotation, base, of 

13.3mm/4750mm = 0.28%) to 107mm (base = 2.25%). The 

maximum peak uplift displacement, PUD, increased from 

19mm (base = 0.4%) to 192mm (base = 4.04%) on the right 

base, and the maximum cumulative uplift displacements, 

CUDs, increased from 150mm to 1094mm at the same side of 

the structure. The effective number of peak uplift displacement 

cycles, NPUDc, computed as the max{CUD} from both sides, 

divided by the max{PUD} from both sides considering each 

intensity level was 11.5 as shown in the Table 1. This is a useful 

design parameter for GNG ratchet and dissipater length and 

inelastic displacement capacity determination. Also, both the 

maximum NPUDc and CUDs, do not occur at the same maximum 

or minimum intensity. It may be seen that the maximum device 

displacement of 1094mm is significantly larger than could be 

carried in a yielding dissipater, so sliding dissipaters with 

adjustable length may be more suitable for large displacements. 

An additional observation is that the maximum NPUDc did not 

occur at the maximum or minimum shaking intensity level so 

care must be taken to ensure that an appropriate NPUDc is used 

given the range and intensities which may occur. In all these 

cases residual/permanent displacements were zero for the 

model considered representing unimpeded re-seating.  

The base shear at DLS was 120.7kN/101kN = 1.2 times that 

from the pushover strength. Further, that at 2xDLS was 

144.8kN/120.7kN = 1.2 times than at the DLS, or 1.43 times 

the pushover strength and this needs to be considered in design 

if the 2xDLS intensity is to be considered. The reason for this 

increase is because the instantaneous lateral force distribution 

is different from and has a lower net centroid of force than the 

assumed lateral force distribution in the pushover analysis. 

Such effects have been considered before (e.g. [13, 74, 85-87]). 

Detailed Response with Beam-Slab Effects 

Table 2, where the slab effect is included, shows that for the 

same 4-fold increase in MF from 0.5xDLS to 2xDLS, PRDs 

increased 11.2-fold from 13.5mm (0.15% roof drift) to 159mm 

(1.76% roof drift). This is a similar increase to that when there 

was no out-of-plane beam-slab. The left base uplift 

displacements increased from 5.5mm (base = 0.12%) to 51mm 

(base = 1.07%) and right base uplift increased from 5mm (base 

= 0.1%) to 81mm (base = 1.7%). These roof and uplift 

displacement magnitudes were less than one half that in Table 

1 where there were no slab effects. Lateral forces increased by 

approximately 3 times (i.e., from 120kN to 327kN at DLS) 

when slab effects were considered. This observation is 

consistent with Figure 14. For a shaking intensity of 0.25xDLS, 

the slab did not affect the behaviour because the structure did 

not uplift.  
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Table 1: Effect of shaking intensity (with no longitudinal slab). 

 Pitch 10 mm 

MFx Vb,max PRD PRD PUD base   FGNG CUD RUD PUD base  FGNG CUD RUD NPUDc RRD 

DLS kN mm % mm % kN mm mm mm % kN mm mm  mm 

    Left Base Right Base   

0.25 65.9 3 0.04 0.6 0.01% 26.5 1.7 0 0.9 0.02 38.6 2.9 0 3.2 0 

0.5 112.5 38 0.43 13 0.28% 90 148 0 19 0.40 90 150 0 8 0 

1 120.7 92 1.02 47 0.99% 92 532 0 38 0.81 92 542 0 11.5 0 

1.2 124.7 116 1.28 60 1.26% 92 575 0 44 0.93 92 512 0 10 0 

1.4 129.5 136 1.51 71 1.49% 93 584 0 59 1.25 93 559 0 8 0 

1.6 134.1 202 2.25 81 1.70% 94 805 0 106 2.22 94 780 0 7.6 0 

1.8 138.2 294 3.27 91 1.93% 95 890 0 154 3.24 95 930 0 6 0 

2 144.8 366 4.07 107 2.26% 95 1030 0 192 4.04 95 1094 0 6 0 

Notation: MF = Shaking intensity magnification factor relative to DLS shaking, Vb,max = Absolute peak base shear force, PRD = 

Absolute value of peak relative roof displacement, PUD = Peak uplift displacement, base = base rotation, CUD = Cumulative uplift 

displacement, FGNG = GNG force, NPUDc = Effective Number of Peak Uplift Displacement Cycles = max{CUD}/max{PUD}, RRD = 

Absolute value of residual roof drift, and RUD = Residual uplift displacement. 

Table 2: Effect of shaking intensity (with longitudinal slab). 

Pitch 10 mm 

MFx  Vb,max PRD PRD PUD base FGNG CUD RUD PUD base FGNG CUD RUD NPUDc RRD 

DLS kN mm % mm  kN mm mm mm % kN mm mm  mm 

    Left Base Right Base  

0.25 69 3.1 0.03 0.6 0.01 23 1.7 0 0.9 0.02 36 2.9 0 3.2 0.0 

0.5 140 13.5 0.15 5.5 0.12 90 75.6 0 5 0.10 90 76 0 15 0.0 

1 328 73.3 0.81 28 0.58 91 502 0 35 0.74 91 607 0 17 -0.1 

1.2 333 76.7 0.85 25 0.53 91 538 0 37 0.78 92 789 0 21 -0.2 

1.4 338 85.5 0.95 26 0.55 91 468 0 42 0.88 94 1168 5 28 -8.8 

1.6 346 103 1.14 32 0.66 91 320 0 51 1.07 95 1155 14 23 -26.0 

1.8 354 139 1.54 39 0.81 92 607 1.4 70 1.47 96 1294 26 19 -46.4 

2 357 159 1.76 51 1.07 94 1020 12.5 81 1.70 96 1059 22 13 -19.0 

Notation: MF = Shaking intensity magnification factor relative to DLS shaking, Vb,max = Absolute peak base shear force, PRD = 

Absolute value of peak relative roof displacement, PUD = Peak uplift displacement, base = base rotation, CUD = Cumulative uplift 

displacement, FGNG = GNG force, NPUDc = Effective Number of Peak Uplift Displacement Cycles = max{CUD}/max{PUD}, RRD = 

Absolute value of residual roof drift, and RUD = Residual uplift displacement. 

 

The PRDs obtained here were used as the PTRDs in the cyclic 

pushover analyses considering DLS excitation in Figures 11 

and 13. These cyclic pushover uplift displacements of 48mm 

(or base = 1.01%) (left base) and 38mm (or base = 0.8%) (right 

base) with no beam-slab were the same as that from Table 1. 

This means that pushover analyses to DLS PTRDs provided an 

adequate estimate of PUDs, and that higher mode dynamic 

effects did not significantly alter these PUDs. Similar behaviour 

was observed for 2xDLS PTRDs. 

Peak cumulative uplift displacements, CUDs, may be computed 

as NPUDc x PUD, but appropriate NPUDc must be used. As in 

Table 1, both the maximum NPUDc and CUD, do not occur at the 

same maximum or minimum intensity. Further, they do not 

occur at the same intensity. 

The base shear at DLS was 328kN/327.7kN = 1.0 times that 

from the pushover analysis at the same PRD of 73.3mm (or 

% roof drift). Similarly, the base shear at 2xDLS was 

357kN/327.7kN = 1.09 times that from the pushover analysis, 

or from the DLS shaking, at the same PUD of 159mm (or base 

= 3.35%). 

Because beam-slab yielding occurs at a pushover roof 

displacement of more than 67mm and base shear of 327.7kN, 

the enclosed hysteretic area of the hysteretic loop is increased. 

Under 1.0 or more times the DLS shaking, residual roof 

displacement, RRD, and residual uplift displacement, RUD, 

occur. Figure 14 indicates from the cyclic pushover analysis 

that there should be no RRD at 1xDLS shaking, bit it occurs 

because dynamic effects change the lateral force pattern from 

the assumed code distribution. The RUD is greater on the side 

of the structure with greater PUDs. It is noted that the residual 

displacement is caused by slab yielding, rather than by any 

GNG effect. For large RRD up to MF of 1.6, the RUD on at 

least one side of the structure is zero, so the frame rotates like a 

rigid body and RUD/RRD is approximately 4.75m/9m =0.53. 

For MF of 1.8 and 2.0, |RRD| is approximately |RUDleft – 

RUDright|/0.53 again indicating rigid body rotation. However, 

the fact that RUD exists on both sides of the frame, it indicates 

that the whole frame has uplifted, and it is suspended from the 

yielding slab. This situation is not desirable. These issues with 

permanent roof and uplift displacements, may be avoided if 

such systems are designed so that the beam-slab does not yield. 

Overall, the effect of providing the beam-slab, as shown by 

comparing Tables 1 and 2, it may be seen that: 

- The frame base shear strength with the beam-slab was up to 

3.2 times greater than without the beam-slab, indicating 

greater required member and foundation sizes to resist these 

forces 

- Peak roof displacement with the beam-slab was as low as 

43% of that compared to the frame without the beam-slab, 

indicating less severe demands on the building non-skeletal 

elements. 
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- PRDs increased by around 10 times in both cases when 

changing the shaking magnitude from 0.5xDLS to 2xDLS. 

This large increase is likely due to the short period of the 

structure and low energy dissipation. 

- Peak uplift displacement (PUD) could generally be slightly 

conservatively estimated using a rigid body rotation 

assumption for the frame in both cases. 

- Cumulative uplift displacements, CUDs, needed to 

determine the GNG length and inelastic displacement 

capacity were of the same order of magnitude both with and 

without the beam-slab effect. 

- The equivalent effective number of peak uplift 

displacement cycles (NPUDc) were up to 28 with the beam-

slab, rather than 12 without it. These did not occur at the 

maximum shaking intensity. 

- With the beam-slab, yielding occurred there. Under high 

levels of shaking this resulted in undesirable permanent 

displacements and in total uplift of the rocking frame. There 

were always no residual displacements when no beam-slab 

was considered.  

Sensitivity of GNG to Tooth Pitch  

Tables 3 and 4 show that the effect of tooth pitches from 1mm 

to 10mm (the value used earlier), during shaking to the DLS 

level. Greater tooth pitch causes greater slackness within the 

hysteresis loop. It may be seen that: 

i) when no slab was considered, the PRD was about 92mm, 

and the PUD increased from 43mm to 47mm for the left 

base and varied between 35mm and 42mm for the right 

base. This is also shown in Figure 15. 

ii) when slab effects were considered, PRD increased from 

28mm to 73mm, and PUD increased from 9mm to 28mm 

for the left base and from 12mm to 35mm for the right 

base as shown Figure 16. 

The tooth pitch effect was more significant on the structure with 

slab effects, possibly because NPUDc was greater.  

At 2xDLS, the increase in tooth pitch for frames without and 

with slab effects did not significantly affect PRDs and PUDs as 

shown in Tables 3 and 4; also, the displacement lines 

overlapped as shown in Figures 17 and 18. In fact, a smaller 

pitch of 1mm resulted in increased PUD on left base from 

107mm to 123mm as compared to with greater tooth pitches 

when there was no slab.  

An increase in tooth pitch from 1 to 10mm increased the CUD 

of the left and right base approximately 2.1 and 1.4 times at 

DLS and 2xDLS, respectively where there was no slab.  Also, 

where the slab effects were considered, an increase in tooth 

pitch from 1 to 10mm increased the CUD of the left base 

approximately 3.1 and 1.3 times and right base approximately 

3.2 and 0.89 times at DLS and 2xDLS, respectively. 

The residual frame and uplift displacements (RRD and RUD) 

were zero when there was no beam-slab at both shaking levels. 

At the DLS level, even with a beam-slab there was no residual 

displacement, but when the shaking level increased, the beam-

slab yielded and the RRD increased to 29.2mm (0.32% roof 

drift) and RUD to 23mm (0.48% base). 

Table 3: Effect of tooth pitch (with no longitudinal slab). 

MFx  PS Vb,max  PRD  PRD FGNG  PUD base   CUD  RUD PUD base   CUD  RUD NPUDc RRD 

DLS mm kN mm % kN mm % mm mm mm % mm mm  mm 

      Left Base Right Base   

1 1 121 85 0.94 91 43 0.91 240 0 38 0.80 255 0 6 0  
3 121 81 0.90 92 41 0.86 278 0 35 0.73 314 0 7.7 0  
5 121 91 1.01 92 47 0.98 379 0 41 0.87 373 0 8 0  
10 121 92 1.02 92 47 0.99 532 0 38 0.81 542 0 11.5 0   

  
 

 
  

    
 

 
  

2 1 145 366 4.06 95 123 2.59 717 0 192 4.04 781 0 4 0  
3 145 366 4.07 95 107 2.26 765 0 192 4.0 798 0 4 0  
5 145 366 4.07 95 107 2.26 739 0 192 4.04 823 0 4 0  
10 145 366 4.07 95 107 2.26 1030 0 192 4.04 1094 0 6 0 

Note: PS- Pitch Size, other notations in Table 1. 

 

Table 4: Effect of tooth pitch (with longitudinal slab). 

MFx  PS Vb,max PRD PRD FGNG PUD base CUD RUD PUD base CUD RUD NPUDc RRD 

DLS mm kN mm % kN mm % mm mm mm % mm mm  mm 

      Left Base Right Base   

1 1 192 28 0.31 90.5 9 0.18 161 0 12 0.26 192 0 16 0 
 3 240 40 0.45 90.6 16 0.35 282 0 19 0.40 293 0 15 0 
 5 208 32 0.35 90.5 12 0.25 272 0 14 0.30 291 0 21 0 
 10 328 73 0.82 90.7 28 0.58 501 0 35 0.74 607 0 17 0 

                

2 1 356 156 1.73 95 48 1.01 789 6.5 79 1.67 1184 22 15 28.4 
 3 359 152 1.69 95 49 1.04 817 7.6 77 1.62 1063 23 14 29.2 
 5 355 153 1.70 94 48 1.01 859 8.2 82 1.72 989 23 12 28.1 
 10 357 159 1.76 94 51 1.07 1020 12.5 81 1.70 1059 22 13 19 

Note: PS- Pitch Size 
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Figure 15: Effect of tooth pitch - DLS shaking (without longitudinal slab). 

Figure 16: Effect of tooth pitch - DLS shaking (with longitudinal slab). 

(a) (b) (c) 

(a) (b) (c) 

Figure 18: Effect of tooth pitch – 2xDLS shaking (without longitudinal slab). 

(a) (b) (c) 

Figure 17: Effect of tooth pitch – 2xDLS shaking (with longitudinal slab). 

(a) (b) (c) 
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Sensitivity to GNG (Pre-Yield) Axial Stiffness  

Figure 19, using a GNG strength of 90kN, indicates that the 

lateral force-roof displacement curve was relatively insensitive 

to different GNG area (and pre-yield axial stiffness) values over 

the practical range considered.  

Displacement Considerations 

Table 1, shows that the frame peak roof displacement (PRD), 

ignoring beam-slab stiffness effects, from time history analysis 

under the DLS intensity was 92mm (1.02% roof drift). This is 

also shown in Figure 20 as well as for other shaking intensities. 

This 92mm is much greater than the NZS1170.5 [66] DLS 

response spectrum of 15.5mm for the period of 0.25s.  

 

 

 

 

 

 

 

 

 

Figure 20: Predicted and actual peak roof displacement vs 

multiplication factor (MF) x DLS. 

The increase of the DLS PRD above the spectral displacement 

level are due to the following reasons which standard prediction 

methods consider, and which have been discussed earlier:  

(i) the roof displacement being greater than that at the CM,  

(ii) the short period structure having greater inelastic ductilities 

than longer period structures for the same lateral force 

reduction factor (k), and 

(iii) the shape of the hysteresis loop.   

As a result, DLS PRD predictions from the NZS1170.5 [66], 

SCNZ [13] methods of 65.4mm and 85.0mm were obtained. 

These are also less than the value of 92mm obtained.  

Differences for the low predictions from these methods to 

predict PRD for an inelastically responding multistorey 

structure may be due to: 

a) The definition of initial period used in the displacement 

prediction. It was based on the secant stiffness to the point 

of device sliding initiation, rather than first uplift.  

b) The base shear strength and roof lateral “yield” 

displacement associated being based on the lateral force 

distribution assuming a first mode response, and no 

reduction in base shear due to multiple mode effects.  

c) The nominal strength of the GNG device used the 

dependable value, , of 0.70. This was considered in design, 

causing kµ < 4 so the structure analysed was stronger than 

that considering the k = 4 expected due to the use of Rs = 

0.25. The effective lateral force reduction factor, kµ, for the 

NZS1170.5 [66] DLS shaking is computed as the 

NZS1170.5 [66] DLS elastic spectral displacement (which 

occurs at the centre of mass, CM) of 15.5mm, divided ∆y,CM, 

of 4.13mm. That is kµ = 3.74.  

d) The inaccuracy of the empirical methods of NZS1170.5 

[66] and SCNZ [13] to predict displacements (i.e., the k-R 

relationship), and  

e) For the analysis record, the spectral displacement at T = 

0.25s was 18.2mm. Therefore, the shaking intensity was 

((18.2mm/15.5mm - 1) x 100% =) 18% greater than from 

NZS1170.5 [66]). This means that kµ = 1.18 x 3.74 = 4.41.  

For kµ = 4.41, µdes is 10.55 according to Clause 5.2.1.1 in 

NZS1170.5 [66]. The SCNZ [13] prediction of roof, rocking (i.e., 

PRD) is 1.5 x 1.3 x 10.55 x 4.13mm = 85.0mm according to 

Equation 8, and the NZS1170.5 [66] prediction is 1.5 x 10.55 x 

4.13mm = 65.4mm as stated earlier.  

Similarly, for a shaking corresponding to twice this intensity 

(i.e., 2xDLS or MF = 2), kµ = 2 x 4.41 = 8.82, and µdes is 22.90, 

and roof, rocking (i.e., PRD) is 184.56mm (2.051%) according to 

the SCNZ [13] prediction from Equation 8. The NZS1170.5 

[66] prediction was 142.0mm. The NZS1170.5 [66] 

requirement considering the limit of T of 0.4s for design was 

not used as we are using the actual record. The predictions were 

both less than that from the analysis of 366mm as shown in 

Table 1. 

Gulkan and Sozen’s simple single degree of freedom equivalent 

period-damping method [72], which involved iteration, gave 

DLS PRD and ductility predictions of 123.2mm (1.37% roof 

drift) and 20.4 respectively. Similarly, under 2xDLS, the 

predicted ductility demand is 34.9 and the displacement is 

212mm (2.35% roof drift). These PRD predictions are 1.34 

times that obtained for the DLS intensity of 92mm (1.02% roof 

drift), but it is only 58% of the 366mm (4.07% roof drift) 

obtained at 2xDLS. 

The DLS maximum of the peak uplift displacements of the 

structure without the beam-slab from both sizes of the frame, 

PUDs, predicted from the NZS1170.5 [66], SCNZ [13], and 

equivalent stiffness-damping [72] methods were 30.7mm, 

40.8mm and 61.8mm respectively as (PRD-y,roof) x 4.75m/9m, 

using y,roof= 6.2mm (0.069%). The THA PUD is 47mm (Table 

1). 

Figure 20 shows that the SCNZ method slightly underpredicts 

the time history peak roof displacement response (maroon 

curve) when the shaking intensity is less than about 1.4xDLS 

(i.e., MF < 1.4) considering (T = 0.25s (brown line). For greater 

MF, the PRD increases rapidly, and it becomes approximately 

twice the SCNZ prediction at MF = 2. For the SCNZ prediction 

considering the initial elastic period associated with 0.16s (i.e., 

no uplift) as shown by the blue line, the prediction is 

significantly lower.  

The equivalent stiffness-damping method [72] (as shown in the 

green line) estimates larger displacements (roughly 1.1 to 1.4 

times) than that from the SCNZ method (with T = 0.25s). These 

results obtained from equivalent stiffness-damping method are 

conservative for shaking intensities, MF < 1.6. The time history 

response became 1.73 times the prediction at MF = 2. 

Figure 19: Effect of GNG area/stiffness on lateral force vs 

roof displacement for frame with and without longitudinal 

slab effect using Incremental Dynamic analysis (IDA) with 

0 to 2 times DLS for the El Centro 1940 NS motion, ζ = 5%. 
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From the discussion above, it is clear that the displacement 

prediction approaches do not match TH analysis results for the 

cases considered. Thus, a new approach is considered to 

overcome the inadequacies of the existing approach. Equation 

9 [24] provided an empirical prediction equation for this case, 

where des is the structural ductility obtained using standard 

code methods (e.g., NZS1170.5 [66]),  is a power factor. and 

e is the elastic displacement. The second term in the bracket 

controls when  < 1, for elastic structures.  

∆CM = max {µdes
α ∆y_CM, ∆e}    (9) 

This method has the following advantages:  

(i) immediately before and after the sliding (or uplift) 

displacement is reached, there is no step function in the 

displacement as there is in the SCNZ method, 

(ii) it considers the short period increase in displacement above 

the elastic level, making it superior to the method by 

Pennucci et al [76]. 

(iii) it can be tailored to represent the actual response. 

In this study, for this particular structure, α is 1.3 as shown by 

pink line on Figure 20. For the structure with a slab effect, the 

value of α was 1.03. While this approach shows some promise, 

full calibration considering hysteresis loop shape, lateral force 

reduction factor, period, and a range of records is required. 

The sensitivity of the TH analysis to earthquake magnitude 

shown in Tables 1 and 2 are a result of the structure being short 

period (and therefore subject to many displacement cycles), and 

also to the pinched nature of the hysteresis loop (with its low 

energy dissipation), according to the Oscillation Resistance 

Concept (ORR) [63, 77]. 

CONCLUSIONS 

A rocking frame with GNG tension-only devices at the base 

columns is studied using pushover, and time history analysis 

considering different intensities. The effect of the out-of-plane 

beam-slab on response was also evaluated. It was found that: 

1. A rocking frame system with frictional tension only energy 

dissipaters was developed. The tension only device 

provides no resistance to frame recentring, and the frictional 

dissipater allows large displacements and easy 

reinstatement after a large shaking event. The design of the 

3-D frame included a simple method to consider torsion and 

some details for attachment of the device to the frame were 

described. 

2. Under cyclic pushover analysis, the deformation 

mechanism was easily understood, with and without beam-

slab contribution. It was shown that the required length of 

frictional dissipater (and consequently the inelastic 

displacement capacity) increased with greater cycles. For 

the frame without beam-slab effects, the lateral strength 

resulting from the dissipater, divided by the total frame 

lateral strength was 61%. This value satisfied the SCNZ 

minimum requirement of 40%, but with half of the energy 

dissipation. With the slab, the frame was stronger, and the 

ratio was 19%. The rigid body rocking behaviour gave 

good, but slightly conservative estimates of the peak uplift 

displacements from the peak roof displacements.  

3. For the frame without beam-slab resistance to lateral 

displacement, the peak response for this short period 

structure with a low amount of energy dissipation was 

several times higher than the elastic response. As the 

shaking intensity increased from the design level shaking 

(DLS) to 2xDLS, the frame roof displacements increased 

by 4 times for this short period structure, uplift 

displacements for left and right base increased by 2.3 times 

and 5 times respectively, cumulative uplift displacements 

(CUDs) for left and right base increased by 1.94 times and 

2 times, and there were no permanent displacements 

indicating unimpeded re-seating. The cumulative uplift 

displacements, which are necessary to determine the 

tension-only device inelastic displacement capacity, were 

11.5 and 6.0 times the peak uplift displacement under 

shaking levels corresponding to DLS and 2xDLS levels 

respectively. The maximum frame base shear force demand 

was up to 1.43 times the maximum base shear from cyclic 

pushover analysis due to the lateral force distribution 

differing from that assumed. 

4. When the effect of the beam-slab was considered, as the 

shaking level increased from the design level shaking 

(DLS) to 2xDLS, the frame roof displacements increased 

by 2.2 times, uplift displacements for left and right base 

increased by 1.82 and 2.3 times respectively, cumulative 

uplift displacements (CUDs) for left and right base were 2 

and 1.74 times respectively the peak uplift displacements. 

The cumulative uplift displacements (CUD) were 17 and 13 

times the peak uplift displacement (PUD) under shaking 

levels corresponding to DLS and 2xDLS levels 

respectively. The maximum ratio of CUD to PUD of 28 

occurred at an intermediate shaking intensity of 1.4xDLS. 

Beam-slab yielding occurred as a result of significant uplift 

at large roof displacements during large shaking intensity 

events resulting in permanent roof and uplift displacements. 

The maximum frame base shear force demand in the time 

history analysis was up to 1.09 times the maximum base 

shear from cyclic pushover analysis with the code lateral 

force distribution.  

5. The frame performance with the beam-slab compared to 

that without the beam-slab in the case studied was different 

in the following ways: (a) the base shear increased by 3.2 

times (indicating greater required member and foundation 

sizes),  (b) peak roof displacements reduced to as low as 

43% (indicating less severe demands on the building non-

skeletal elements), (c) permanent displacements were 

possible (requiring post-event repair), and (d) there were up 

to 2.3 times more excursions to the peak uplift 

displacement. The increase in peak roof displacement and 

cumulative uplift displacement with shaking intensity, were 

similar in both cases.   

6. For the range of parameters investigated, the effect of GNG 

strength on roof displacements was not significant but 

increasing GNG strength increased the base shear. The 

response was also not generally sensitive to GNG tooth 

pitch except during small magnitude shaking with beam-

slab effects considered. The response was not sensitive to 

GNG stiffness. 

7. Peak roof displacement (PRD) prediction using the SCNZ 

method assumed a certain amount of energy dissipation. 

Only one half of this was provided with the tension-only 

devices indicating a modified prediction method was 

required. For the cases considered, the PRDs at DLS for the 

current frame were almost twice those predicted by 

standard methods (e.g., SCNZ and an equivalent-

stiffness/damping approach) where the yield point was 

defined at the initiation of device sliding. A simple 

improvement to the R-T- relationship was developed to 

match the observed behaviour for the model building 

considered when subjected to a large range of shaking 

intensity. 
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